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Abstract
This paper presents the fragility assessment of non-seismically designed steel moment 
frames with masonry infills. The assessment considered the effects of multiple earthquakes 
on the damage accumulation of steel frames, which is an essential part of modern per-
formance-based earthquake engineering. Effects of aftershocks are particularly important 
when examining damaged buildings and making post-quake decisions, such as tagging and 
retrofit strategy. The procedure proposed in the present work includes two phase assess-
ment, which is based on incremental dynamic analyses of two refined numerical models of 
the case-study steel frame, i.e. with and without masonry infills, and utilises mainshock-
aftershock sequences of natural earthquake records. The first phase focuses on the undam-
aged structure subjected to single and multiple earthquakes; the effects of masonry infills 
on the seismic vulnerability of the steel frame were also considered. In the second phase, 
aftershock fragility curves were derived to investigate the seismic vulnerability of infilled 
steel frames with post-mainshock damage caused by mainshocks. Comparative analyses 
were conducted among the mainshock-damaged structures considering three post-main-
shock damage levels, including no damage. The impact of aftershocks was then discussed 
for each mainshock-damage level in terms of the breakpoint that marks the onset of exceed-
ing post-mainshock damage level, as well as the probability of exceeding of superior dam-
age level due to more significant aftershocks. The evaluation of the efficiency of commonly 
used intensity measures of aftershocks was also carried out as part of the second phase of 
assessment.
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1 Introduction
Existing buildings in seismic-prone areas are usually exposed to sequential earthquakes, 
in which a mainshock is accompanied by several aftershocks that originate near its rupture 
zone and have smaller magnitudes than the mainshock (Raghunandan et al. 2005). Many 
seismic events in recent decades (e.g., Niigata, Japan in 2004, L’Aquila, Italy in 2009, 
Christchurch, New Zealand in 2011 and Central Italy in 2016) have shown that aftershocks 
can have great impact on the seismic performance of existing buildings, resulting in severe 
damage accumulation and even collapse of structures that are already significantly dam-
aged during the mainshocks. Therefore, it is of vital importance to conduct quick post-
quake assessment of damaged structures, which is aimed at evaluating the structural resid-
ual strength to resist aftershocks and making appropriate decisions regarding re-occupancy 
and repairing. (Yeo and Cornell 2005). To this end, it is necessary to investigate the effects 
of earthquake sequences on the seismic behaviour of structures.
Previous research has put great effort into the study of the impact of earthquake 
sequences on the behaviour of structures (e.g., Hatzigeorgiou 2010a, b; Di Sarno 2013; Di 
Sarno and Amiri 2019). For instance, Hatzigeorgiou (2010a) investigated the influence of 
earthquake sequences on the ductility demand of an SDOF structure and concluded that the 
ductility demand in the case of earthquake sequences was noticeably increased compared 
to the case of single earthquakes. Another study by Di Sarno (2013) compared the response 
spectra of single and multiple earthquakes and found that multiple ground motions tended 
to result in higher spectral acceleration for structures with short fundamental period and 
low ductility, as well as higher inelastic deformation demands than single earthquakes.
Some previous studies have particularly focused on the seismic performance of steel 
moment frames under earthquake sequences (Amadio et al. 2002; Lee and Foutch 2004; Li 
and Ellingwood 2007; Loulelis et al. 2012; Ruiz-García and Negrete-Manriquez 2011; Li 
et al. 2014; Ruiz-García and Aguilar 2015; Ruiz-García et al. 2018). Amadio et al. (2002) 
investigated the effects of repeated earthquakes on steel frames in terms of the behaviour 
factor q and suggested that a reduction in the q-factor should be considered for both limit 
states dealing with damage control and collapse, as well as an increase in the damage index 
to account for the impact of multiple earthquakes. Li and Ellingwood (2007) performed 
damage assessment on a two-storey steel frame and found that the amplitude and frequency 
content of aftershocks had a significant effect on the damage pattern induced by after-
shocks. Loulelis et  al. (2012) examined the seismic behaviour of a planar steel moment 
frame and demonstrated that earthquake sequences tended to cause more severe damage 
on structures and higher displacement and ductility demands. Li et al. (2014) performed 
fragility assessment on steel frames under mainshock-aftershock (MS-AS) sequences 
and argued that steel frames were likely to collapse even during a small aftershock if the 
mainshock had a high intensity. More recently, Ruiz-García et al. (2018) pointed out the 
necessity of using a 3D-model of steel frame other than 2D-model in assessment, since the 
behaviour of 3D-model and its corresponding 2D-model may differ significantly. They also 
emphasised the importance of using bi-directional earthquake inputs, especially in the case 
when the torsion of columns or the overall structure is of relevance.
Despite many previous research on the seismic performance of steel moment frames 
under sequential earthquakes, very limited studies have been conducted to include the 
effects of masonry infill walls. The presence of masonry infill is able to considerably alter 
the seismic behaviour of bare steel frames, including the increase in initial stiffness, ulti-
mate strength and the ability of dissipating energy under earthquake loading. Masonry infill 
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may also have negative effects on the steel frame, such as high local demand at connections 
due to its strut action and the soft storey mechanism. In recent decades, many research have 
been carried out on the seismic behaviour of steel frames with masonry infill (e.g., Gha-
zimahalleh 2007; Tasnimi and Mohebkhah 2011; Markulak et al. 2013; Najarkolaie et al. 
2017). Meanwhile, numerous previous studies have also developed simplified strut models 
for masonry infill walls, which include single-strut model (e.g., Fardis and Panagiotakos 
1997; Dolšek and Fajfar 2008; Liberatore and Decanini 2011) and multi-strut model (e.g., 
El-Dakhakhni et al. 2003; Yekrangnia and Mohammadi 2017). The development of strut 
models has allowed easier modelling of infilled structures in finite element software at a 
low cost of computational demand.
To fill the gap, studies should be carried out on the seismic performance of infilled steel 
frames under earthquake sequences, especially focusing on the structural performance 
during aftershocks. State-dependent fragility analysis is a common approach within the 
framework of performance-based earthquake engineering to determine the vulnerability 
of structures to aftershocks considering its damage state after a strong ground motion. A 
few relevant analysis frameworks have already been proposed in previous studies, which 
were based on incremental dynamic analysis (IDA) (Vamvatsikos and Cornell 2002). For 
example, Li et al. (2014) and Ruiz-García and Aguilar (2015) scaled each mainshock in a 
way that a building reaches the target residual or transient interstorey drift after the scaled 
mainshocks, and then performed IDA on the damaged building under aftershocks up to 
collapse. In such a manner the effects of aftershocks on buildings with different levels 
of mainshock-induced damage can be investigated. Furtado et al. (2018) adopted a simi-
lar approach in their study, however, instead of scaling the mainshocks, they applied the 
unscaled mainshocks to a framed structure and divided the results into several groups 
based on the damage level reached after each mainshock. Besides, they also avoided scal-
ing up the aftershocks to an unrealistic level by putting an upper bound on the scaling of 
aftershocks such that their PGA did not exceed the PGA of corresponding mainshocks.
This paper presents the seismic fragility assessment of existing steel moment frames 
with masonry infills subjected to MS-AS earthquake sequences. The assessment frame-
work will be introduced at the beginning and will be illustrated by assessing a case study 
steel moment frame. The steel frame is a three-storey non-seismically designed residential 
building, which is a representative of typical residential steel buildings in Southern Europe. 
The assessment framework includes two part of analysis. The first part of analysis includes 
fragility analysis of the steel frame with an undamaged initial condition subjected to main-
shocks and MS-AS sequences. The second part of analysis contains aftershock fragility 
assessment of the steel frame assuming different levels of post-mainshock damage on the 
structure. State-dependent aftershock fragility curves will then be derived, which is aimed 
at assessing the influence of post-mainshock damage on the vulnerability of the steel frame 
subjected to aftershocks.
2  Methodology
The framework adopted in the present paper consists of two parts of fragility assessment of 
a case study steel moment frames with masonry infill. In the first part, fragility assessment 
of the undamaged steel frame is demonstrated, in which the fragility curves are derived 
through standard procedure of IDA (Vamvatsikos and Cornell 2002). In the second part, an 
improved aftershock assessment framework is presented, which utilises the state-dependent 
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aftershock fragility curves to assess the resistance of steel moment frames with post-main-
shock damage. In both parts, the presence of masonry infill will be accounted for during 
the numerical analysis.
2.1  Fragility assessment of undamaged structures
This first part of analysis is aimed at presenting the conventional fragility assessment of 
steel moment frames, where the IDA is performed on undamaged structures subjected to 
records of mainshocks and MS-AS sequences, respectively. It should be noted that in this 
part of analysis each record of MS-AS sequence is considered as a single ground motion 
record, which means the mainshock and aftershock are incrementally scaled by the same 
factor up to the collapse of structures. Fragility curves are then derived for the steel 
moment frame at each pre-defined limit states. Lastly, comparisons are made between the 
fragility curves obtained for the case of mainshocks and MS-AS sequences.
2.2  Aftershock fragility assessment of damaged structures
The analysis framework adopted in this part is considered an extension to the approach 
presented by Li et al. (2014), which is aimed at estimating the seismic vulnerability of steel 
moment frames subjected to aftershocks through state-dependent fragility curves. In other 
words, the framework adopted here can be considered as a supplement to the conventional 
fragility assessment described in the previous section, which is able to provide useful infor-
mation for post-mainshock assessment of a steel moment frame and allows quick decision-
making regarding the actions to be taken, such as re-occupancy, repairing and retrofitting.
This part of analysis uses also the IDA to derive fragility curves, but the mainshocks 
and aftershocks are scaled independently. The procedure is shown in Fig. 1 for an existing 
steel moment frame, and is explained in detail as follows:
(a) Define appropriate limit states. It is better to use the same limit states in the previous 
part of conventional fragility assessment for consistency and standardised limit states 
are usually preferred. As shown in Fig. 1, three limit states are defined in the order of 
increasing severity, namely light damage, moderate damage and severe damage, each 
of which is associated with a pre-defined peak transient roof drift ratio (RDR). As a 
result, the RDR is also used as the engineering demand parameter (EDP) in the fragility 
assessment.
(b) Select a suite of MS-AS sequence records. As-recorded sequential ground motions 
are usually recommended, compared to repeated ground motion records or synthetic 
records.
(c) Select an appropriate intensity measure (IM) for implementing the IDA and deriving 
fragility curves. If an IM depending on the structural property is selected, e.g., the 
spectral acceleration, the effects of period elongation due to damage on the structure 
has to be correctly accounted for.
(d) Use the defined limit states as the target levels of post-mainshock damage on the steel 
moment frame. As shown in Fig. 1, three post-mainshock damage levels are considered, 
namely no damage, light and moderate damage level. It should also be noted that the 
severe damage level is not included here as a targe damage level, as it is usually associ-
ated with the collapse of buildings and there is no need to consider the performance of 
collapsed buildings in upcoming aftershocks.
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(e) Individually scale the mainshock in each selected MS-AS sequence record such that 
the steel moment frame reaches the targe post-mainshock damage level. Then for each 
scaled mainshock, scale its associated aftershock independently up to the collapse of 
the structure. Subsequently, the state-dependent aftershock fragility curves can be 
derived based on the IDA.
(f) Evaluate the change of seismic resistance the steel moment frame due to post-main-
shock damage by making use of appropriate characteristic values.
Three common choices of characteristic value are the 5th, 16th and 50th percentiles of 
probably distribution. The 5th percentile has been adopted as the characteristic value by 
European codes to describe material properties, which is statistically two standard devia-
tion away from the mean value. The 16th percentile is usually adopted as the characteristic 
value in seismic hazard-related studies (Bradley 2011), which is one standard deviation 
Fig. 1  Analysis procedure of aftershock fragility assessment of steel frames with post-mainshock damage
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away from the mean value. Lastly, the 50th percentile is simply the mean value of normal 
distribution and the median of the corresponding lognormal distribution.
3  Case study
3.1  Description of the case study steel moment frame and numerical modelling
The case study building is a non-seismically designed three-storey steel moment frame 
located in Central Italy. The steel frame has a trapezoidal floor plan; its dimension is pro-
vided in Fig. 2a. The ground floor is 3.6 m in height while the first and second floors are 
3.55 m in height. There is also a 1.8 m-high roof floor on top of the structure, leading to a 
total height of 12.5 m of the steel building. The external and internal beams are HEA160 
and HEA300, respectively, and the columns are all HEA200, whose strong axis is in the 
transvers direction of the structure. The steel grade used in design is S235, hence the 
design yield strength of structural steel is 235 MPa. However, due to the lack of informa-
tion of onsite material tests, the actual yield strength of steel used in the numerical model is 
215 MPa, assuming a standard deviation of 15 MPa and a confidence factor of 1.2, accord-
ing to the knowledge levels defined in EC8-3 (BSI 2005). The beams are connected to 
columns through full penetration welding. Finally, the masonry infilled walls consist of two 
Fig. 2  Description of the case study existing steel moment frame: a layout; b numerical model in OpenSees 
(slab elements are omitted for clarity); c details of panel zones
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layers of perforated bricks of size 120 × 250 × 80 mm. The compressive strength of bricks 
and mortar are assumed to be 10 and 5 MPa, respectively.
The numerical models of the steel frames were implemented in OpenSees (Mazzoni 
et al. 2006), as shown in Fig. 2b. Beams and columns were modelled as force-based ele-
ments with fibre sections, and the corresponding material property of structural steel was 
represented by the Giuffré-Menegotto-Pinto constitutive law (Filippou et al. 1983; Mene-
gotto and Pinto 1973). The cyclic behaviour of steel is demonstrated in Fig. 3a, where the 
elastic modulus was assumed to be 210 GPa and the strain hardening ratio 0.02. Apart 
from the beams and columns, the column panel zones were also modelled using the model 
developed by Gupta and Krawinkler (1999), as shown in Fig.  2c, where the rectangular 
shape of column panel zone was formed through small rigid elements and the shear defor-
mation of column panel zone was controlled through a rotational spring. The property of 
the rotational spring is demonstrated in Fig.  3b. Additionally, masonry infill walls were 
modelled utilising the single-strut model due to its great simplicity and acceptable accu-
racy. The infill struts had the same thickness as the real infilled walls and their width was 
determined based on the property of infilled walls and the confining frame. The property of 
the masonry infill struts was represented by the multi-linear curve developed by Fardis and 
Panagiotakos (1997), which is demonstrated in Fig. 3c. Finally, the slab was simplified as 
two rigid struts placed diagonally in each column grid across the entire floor area.
Table 1 shows the natural periods of the infilled steel moment frame obtained from modal 
analysis. The first mode was found to be a translational mode in the transverse direction with 
a period of 0.317 s, the second mode to be a rotational mode with a period of 0.138 s and the 
third mode to be a translational mode in the longitudinal direction with a period of 0.105 s. 
The results of modal analysis suggested that appropriate actions should be taken to account for 
the torsional effects due to the trapezoidal floor plan. To this end, the storey mass was assigned 
to each floor node based on their tributary area, instead of using lumped mass at the centre of 
mass of each storey. The mass of masonry infill was also included in the model for both of the 
bare and infilled frame, and was assigned to each perimeter node accordingly. In addition, the 
Fig. 3  Cyclic behaviour of materials: a structural steel; b panel zone spring; c masonry struts
Table 1  Natural periods (sec) of the translational mode in the longitudinal (L) and transverse (T) direction, 
and the rotational (R) mode about the vertical direction (see Fig. 1)
Model 1st Mode 2nd Mode 3rd Mode
Direction Period Direction Period Direction Period
Infilled Frame T 0.317 R 0.138 L 0.105
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torsional effects were also accounted for during the definition of limit states, which are pre-
sented in the following section.
3.2  Definition of limit states and targe post‑mainshock damage level
The drift ratio at centre of mass of top floor, referred to as roof drift ratio hereafter, was 
adopted as the engineering demand parameter (EDP) in this study, as it was considered a con-
venient parameter to be monitored during IDA. Many relevant limit states have been proposed 
in literature for steel buildings, such as ASCE41-06 (ASCE 2005), Rossetto and Elnashai 
(2005) and Ghobarah (2004), however, a set of roof drift limits were determined specifically 
for the case study steel moment frame based on the results of cyclic pushover analysis. The 
threshold values were determined by conducting safety checks at local component level during 
the cyclic pushover analysis, hence was capable of representing the damage developed in the 
steel frame. Besides, the safety checks at local component level also to some extent allowed 
the roof drift limits to account for the torsional effects due to the irregular plan layout of the 
steel frame, which could cause larger drift demand at locations other than the centre of mass. 
Lastly, by conducting cyclic pushover analysis, the stiffness degradation and strength deterio-
ration could be taken into consideration when formulating the roof drift limits.
Three limit states were defined for the case study building, namely light damage, moderate 
damage and severe damage, which are described as follows:
• Light damage Infill walls on the same storey reaching their ultimate strength capacity; no 
yielding on structural steel components;
• Moderate damage First yielding of beams and columns, or first panel zone twelve times 
the yielding deformation according to ASCE41-17 (ASCE 2017);
• Severe damage First beam or column reaching eight times its yielding rotation according 
to EC8-3 (BSI 2005), which is usually associated with the collapse of existing buildings.
Based on the above description of limit states, the roof drift limits were determined and 
summarised in Table 2. Illustration of the roof drift limits are also presented in Fig. 4, together 
with the pushover curves in the longitudinal and transverse direction. The pushover was done 
utilising modal lateral pattern according to EC8-3 (BSI, 2005), which was dependent on the 
first mode shape in the corresponding direction and the mass assigned to each node. The 
cyclic pushover involved initially two cycles within the elastic range and then three cycles at 
the increment of yielding displacement, followed by cycles at the increment of twice the yield-
ing displacement up to the severe damage level was achieved. The steel frame was considered 
to have reached one limit state upon the onset of that limit state in either the longitudinal or the 
transverse direction.
After the definition of limit states, the target post-mainshock damage level could be 
decided accordingly. In this case study, three target post-mainshock damage levels were con-
sidered, which were no damage, light and moderate damage level. Here no damage means an 
undamaged initial condition of the steel frame, which was for easy control achieved by not 
Table 2  Roof drift ratio (%) 
limits determined for the case 
study steel frames
Damage level Light Moderate Severe
Longitudinal 0.04 0.32 2.41
Transverse 0.06 0.70 3.60
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applying the mainshock records. Besides, light and moderate post-mainshock damage level 
were considered coincident with the light damage and moderate damage limit state. Lastly, as 
mentioned before the severe damage level was not included here as a targe damage level, as 
it was usually associated with the collapse of buildings and there was no need to consider the 
performance of collapsed buildings in upcoming aftershocks.
3.3  Selection of mainshock‑aftershock ground motion records
A set of 20 records of earthquake sequences were selected from worldwide ground 
motion databases, including PEER-NGA (Seyhan et al. 2014), ITACA (Luzi et al. 2019) 
and K-NET (NIED 2019), to be employed in the finite element model. Each earthquake 
sequence comprised two events, i.e. a mainshock and an aftershock. The selection of earth-
quake sequence records was aimed at mainshock with magnitude higher than 5.5 with one 
major aftershock, whose PGA is not less than 20% of the PGA of its associated mainshock. 
To simulate the time period between the mainshock and its aftershock, an accelerogram 
with zero-amplitude was also added to each MS-AS sequence record between the main-
shock and aftershock, which allowed the free vibration of the steel frame to drop to a small 
amplitude before being subjected to the aftershock. Bidirectional ground motions were 
considered in this study, where the two horizontal components of selected ground motion 
records were applied to the steel frame simultaneously.
Table 3 contains a summary of the information of the selected earthquake records and 
Fig. 5 shows the distribution of the spectral acceleration at the fundamental period  Sa(T1) 
and cumulative absolute velocity (CAV) of the selected earthquake records, all of which 
were considered as the potential IMs for aftershock fragility assessment in this study. The 
PGA reported in Table  3 is defined as the PGA of bidirectional ground motions, which 
is taken as the square root of the sum of the squares (SRSS) of the PGA of its two com-
ponents. The same method also applies to the definition of  Sa(T1). Besides, the CAV is 
defined as the integral of the absolute value of the acceleration time history of an earth-







Fig. 4  Cyclic pushover curves: a longitudinal direction; b transverse direction
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where  tmax is the duration of the earthquake and a(t) is the time history of the acceleration 
of earthquakes.
It can be concluded from Table 3 that for most of the selected records, the aftershocks 
have smaller PGA than their corresponding mainshocks. The lowest and highest ratio of 
aftershock PGA to mainshock PGA is 0.19 and 1.33, respectively. Figure  5a shows the 
distribution of aftershock  Sa(T1) with respect to mainshock  Sa(T1). The aftershock  Sa(T1) 
was extracted from 5%-damping response spectra for both the bare frame and the infilled 
frame, while the mainshock  Sa(T1) was obtained for the infilled frame only. The aftershock 
 Sa(T1) of the bare frame is involved so that the effect of period elongation can be observed. 
It is shown in Fig. 5a that similar to the case of PGA, the aftershock  Sa(T1) tends to be 
lower than their associated mainshock  Sa(T1) with a few exceptions. When the damage on 
the infill walls are considered, the natural period of the steel frame shifts from short period 
corresponding to its infilled configuration to long period corresponding to its bare con-
figuration, which leads to lower aftershock  Sa(T1). On the other hand, Fig. 5b shows the 
Table 3  Summary of the selected 20 MS-AS earthquake sequence records (λ =  PGAAS/PGAMS)
Event name PGA (g) λ Event name PGA (g) λ
MS AS MS AS
Armenia Spitak 0.27 0.09 0.33 Japan Fukushima 0.58 0.19 0.33
Chile Valparaiso 0.79 0.27 0.34 Japan Niigata 0.68 0.76 1.12
China Northwest 0.36 0.19 0.53 New Zealand Christchurch 0.29 0.23 0.81
Greece Kalamata 0.29 0.31 1.08 New Zealand Edgecumbe 0.60 0.13 0.22
India Chamoli 0.42 0.08 0.19 New Zealand Weber 0.24 0.32 1.33
Iran Varzaghan 0.57 0.75 1.30 Taiwan Chi-Chi 1.32 0.52 0.39
Italy Emilia 0.37 0.37 0.99 Turkey Duzce 0.42 0.27 0.63
Italy Friuli 0.46 0.14 0.31 USA Chalfant 0.60 0.36 0.60
Italy Irpinia 0.43 0.10 0.24 USA Mammoth 0.61 0.25 0.40
Italy NoceraUmbra 0.74 0.61 0.82 USA Whittier 0.48 0.28 0.58
Fig. 5  Distribution of a the spectral acceleration Sa(T1) and b the cumulative absolute velocity CAV of the 
selected earthquake records
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distribution of aftershock CAV with respect to the mainshock CAV. This IM is independent 
of structural property, so there is no need to account for the effects of period elongation. 
Similar to the case of PGA and  Sa(T1), the aftershock CAV is in general smaller than the 
mainshock CAV except for those cases with very strong aftershocks.
4  Fragility analysis of the undamaged building
This section presents the results of conventional fragility assessment performed on the case 
study steel moment frames, where the performance of undamaged steel frame subjected to 
records of mainshocks and MS-AS sequences was evaluated. The methodology described 
in Sect. 2.1 was adopted for this part of assessment.
The fragility curves are presented in Fig. 6. It is noticed that MS-AS sequences tended 
to cause slightly more significant damage on the steel moment frame than the single earth-
quakes. Table 4 summarised the median and standard deviation of each distributions pre-
sented in Fig. 6. It is demonstrated that when the steel frame was subjected to mainshocks 
only, the medians of PGA were 0.079, 0.444 and 1.639 g respectively for light, moderate 
and severe damage limit state. On the other hand, when the steel frame was subjected to 
MS-AS sequences, the medians of PGA were 0.071, 0.410 and 1.410 g respectively for the 
three limit states, which were approximately 10% lower than the medians obtained in the 
case of single earthquakes.
Figure 7a shows the variation of increment of probability of exceeding a limit state 
due to the aftershocks against PGA, which is denoted by the difference between the two 
fragility curves in each subplot of Fig. 6. The positions of the two corresponding medi-
ans are also indicated in Fig. 7. It is noticed that in the case of light damage, as shown 
in Fig.  8a, the aftershocks presented pronounced effects at high PGA values relative 
to the medians. However, the peak tended to shift to relatively low PGA values with 
Fig. 6  Fragility curves of undamaged steel frame: a light damage; b moderate damage; c severe damage
Table 4  Median (μ) and standard 
deviation (β) of the fragility 
curves in Fig. 7 (unit: g)




μ β μ β μ β
Mainshock 0.079 0.431 0.444 0.297 1.639 0.413
MS-AS Sequence 0.071 0.373 0.410 0.289 1.410 0.480
μSeq/μMS 0.899 0.923 0.860
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superior limit states, as demonstrated in Fig. 8b and c, which suggesting that the after-
shocks began to cause the failure of the steel frame at earlier stages. This phenomenon 
was due to the fact that at light damage limit state, most of the selected aftershocks 
had a PGA that was too small to cause any damage on the steel frame when the PGA 
of the sequence were smaller than the median. However, at superior limit states, the 
aftershocks tended to have a PGA that was large enough to cause significant damage on 
the steel frame even when the PGA of sequences were smaller than the medians. This 
suggested that if the median, or the more conservative 5th and 16th percentile, of PGA 
was adopted as the characteristic value, the influence of aftershocks was more essential 
at superior limit states.
The results obtained from the above conventional fragility assessment were able 
to draw very general conclusions on the seismic vulnerability of the case study steel 
frame considering the effects of sequential earthquakes, which could be helpful when 
predicting the overall performance of existing steel frames subjected to future earth-
quake events. However, it provided no clear indication on the intensity of aftershocks 
associated with progression of limit states, hence its contribution to post-mainshock 
assessment of the steel frame was limited. To this end, it is necessary to perform further 
fragility assessment on the steel frame using state-dependent fragility curves, where the 
mainshocks and aftershocks are scaled separately and the influence of damage caused 
by mainshocks on the steel frame are also taken into consideration.
Fig. 7  Increase of probability of exceeding different limit states due to aftershocks: a light damage; b mod-
erate damage; c severe damage
Fig. 8  Regression analyses for different aftershock IMs with no post-mainshock damage
Bulletin of Earthquake Engineering 
1 3
5  Performance of the mainshock‑damaged case study building
5.1  Evaluation of aftershock IMs with post‑mainshock damage
Before the fragility assessment of the infilled steel frame, three IMs of aftershocks were 
evaluated to find the optimal IM for seismic assessment of the case study steel moment 
frame with post-mainshock damage caused by mainshocks. The roof drift limits reported in 
Table 2 were implemented here to describe the target level of post-mainshock damage on 
the steel frame. Consequently, the RDR of the infilled steel frame during the aftershocks, 
noted as  RDRAS was used as EDP for this part of analysis. The subscript AS was also added 
to the IMs adopted in the following analysis to indicate that they represented the intensity 
of aftershocks.
A linear model was adopted to describe the relationship between the natural logarithm 
of IM and the natural logarithm of EDP, which is expressed by the following equation:
where a and b are coefficients defined by the regression analysis. The dispersion is esti-
mated via the conditional standard deviation of the regression βEDP|IM, which is expressed 
as follow:
Since it is generally not possible to accurately account for all earthquake characteristics, 
such as magnitude, frequency content and energy, through one single parameter, it is then 
of great importance to find the optimal IM for fragility assessment (Baker and Cornell 
2005). In this study, the efficiency, practicality and proficiency of three IMs were evalu-
ated: PGA,  Sa(T1) and CAV of aftershocks. Sufficiency and hazard computability were not 
included in the evaluation of IM. The former required the knowledge of seismic character-
istics of aftershocks, such as the magnitude and epicentre, which was not always available 
in the database. The latter was related to the hazard information available of the region of 
the case study building, hence was believed to be less essential in this study.
The IMs considered were  PGAAS,  Sa(T1)AS and  CAVAS. PGA is considered the simplest 
and most explicit measure of earthquakes, as it is independent of structural properties and 
can be directly obtained from the accelerogram of ground motions.  Sa(T1) is another popu-
lar IM of earthquakes, which on the contrary depends significantly on structural properties, 
hence is often more accurate than PGA in the case of estimating seismic action induced on 
a specified structure. However, the use of  Sa(T1) can be more complex in the case of after-
shock fragility analysis due to the period elongation of structures, hence its value needs to 
be updated for every single damaged state of the steel frame. CAV is associated with the 
amplitude and duration of earthquake acceleration time history; therefore, it is more capa-
ble of capturing the characteristics of aftershocks, which tend to have less cycles with large 
amplitudes, hence lower values of CAV than mainshocks. The results of regression analy-
sis for no damage, light damage and moderate damage were summarised in Figs. 8, 9, 10.
Efficiency: Efficiency is one of the major essential measure of IMs. An efficient IM 
should lead to reduced variation about the estimated seismic demand EDP (Shome 
and Cornell 1998; Luco and Cornell 2007), hence the lower the dispersion βEDP|IM, the 
more efficient the IM. Table  4 contains a comparison of the efficiency of IMs. It can 
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be concluded that for all the three levels of post-mainshock damage on the steel frame, 
 CAVAS was evidently more efficient than  PGAAS and  Sa(T1) AS, which were characterised 
by similar values of dispersion. It is also noticed that the dispersion obtained by using 
the three IM candidates remained approximately constant with the increasing level of 
post-mainshock damage, despite that the PGA showed a slight trend of being more 
efficient.
Practicality: Practicality is a measure that describes the correlation between IM and 
EDP. A practical IM means there is strong correlation between the level of IM and the level 
of structural response EDP, and vice versa. The practicality of IM is quantitatively repre-
sented by the coefficient a of the line of best fit, where a larger value of a indicates a more 
practical IM. Table 5 summaries the values of coefficient a from all regression. It is found 
that  CAVAS was constantly more practical than  PGAAS and  Sa(T1) AS, but not by a large 
margin. It is also noticed that  PGAAS and  Sa(T1) AS showed very similar practicality, which 
was the same as the case of efficiency. Lastly, the practicality of all three IMs tended to 
decrease with increasing level of post-mainshock damage, which dropped significantly by 
about 40% when the post-mainshock damage was at the moderate damage level. This was 
due to that, as shown in Fig. 10, the distribution of dots showed a two-segmented relation-
ship between the IM and the EDP, which had a smaller slope at small IMs. This behaviour 
Fig. 9  Regression analyses for different aftershock IMs with light post-mainshock damage
Table 5  Comparison of 
dispersion βEDP|IM to evaluate 
efficiency of IMs
The bold values are simply to indicate the best intensity measure in 
terms of a certain aspect (efficiency, proficiency and practicality)
MS-damage PGAAS Sa(T1)AS CAVAS
No damage 0.73 0.72 0.55
Light damage 0.71 0.74 0.54
Moderate damage 0.70 0.72 0.57
Fig. 10  Regression analyses for different aftershock IMs with moderate post-mainshock damage
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was attributed to the non-negligible post-mainshock permanent displacement of the steel 
frame, which led to a larger peak RDR at the first run of IDA.
Proficiency: Proficiency is a composite measure that accounts for combined effect of 
efficiency and practicality of IM. A metric for assessing the proficiency of IM is proposed 
by Padgett and Nielson (2008), which is in terms of a modified dispersion ζ as follows:
The use of proficiency can overcome the problem of inappropriate selection of IM based 
solely on the efficiency or practicality of IM. Similar to the efficiency of IM, a proficient 
IM is associated with a low value of modified dispersion. Tables 6, 7 shows the compari-
son of the modified dispersion obtained from regression analysis. It is clearly shown that 
 CAVAS shows a higher proficiency over  PGAAS and  Sa(T1) AS, regardless of the level of 
post-mainshock damage on the steel frame. It is also demonstrated that with the increased 
severity of post-mainshock damage, there was a clear reduction in the proficiency of all 
three IMs. In this case, the change of modified dispersion confirms the reduced adequacy 
of the three IMs at high level of post-mainshock damage. Finally,  PGAAS and  Sa(T1) AS 
again exhibited similar proficiency no matter what the level of post-mainshock damage 
was.
To conclude,  CAVAS was in general a better IM than  PGAAS and  CAVAS in terms of 
all three aspects that have been evaluated: efficiency, practicality and proficiency. Another 
important point was that the IMs considered in this study all exhibit reducing adequacy 
with the increasing level of post-mainshock damage on the case study steel frame. Future 
studies should be carried out to address this issue.
5.2  Aftershock fragility curves of infilled steel frame with post‑mainshock damage
This section presents the results of fragility assessment on the damaged case study 





Table 6  Comparison of 
coefficient a to evaluate 
practicality of IMs
The bold values are simply to indicate the best intensity measure in 
terms of a certain aspect (efficiency, proficiency and practicality)
MS-damage PGAAS Sa(T1)AS CAVAS
No damage 0.92 0.91 1.03
Light damage 0.91 0.89 1.01
Moderate damage 0.55 0.54 0.65
Table 7  Comparison of 
modified dispersion ζ to evaluate 
proficiency of IMs
The bold values are simply to indicate the best intensity measure in 
terms of a certain aspect (efficiency, proficiency and practicality)
MS-damage PGAAS Sa(T1)AS CAVAS
No damage 0.79 0.79 0.53
Light damage 0.78 0.83 0.53
Moderate damage 1.27 1.33 0.88
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main purpose of the assessment is to provide an insight of how different levels of post-
mainshock damage affect the seismic resistance of existing steel moment frames, and to 
allow quick estimate of potential structural performance during aftershocks. The fragil-
ity curves were presented in Figs. 11, 12, 13. It should be noted that instead of present-
ing the entire distribution, i.e. from 0 to 100% probability, the fragility curves presented 
were within the aftershock IM ranges of practical interest, which were determined based 
on the intensity of the selected as-recorded aftershocks. Besides, in order to quantify 
the change of structural resistance to aftershocks due to post-mainshock damage, the 
5th, 16th and 50th percentiles of all three IMs were also summarised in Tables 8, 9, 10 
and compared with each other in Figs. 11, 12, 13. The 5th, 16th and 50th percentiles are 
denoted by adding a subscript to each IM, such as  PGA5,  PGA16 and  PGA50 respectively 
represent the 5th, 16th and 50th percentile PGA.
Figures 11 and 12 show the fragility curves of the case study steel frame with light 
post-mainshock damage respectively at the moderate and severe damage limit state 
compared to the performance of undamaged steel frame subjected directly to after-
shocks. It is shown that in general the light post-mainshock damage had slight influence 
on the steel frame’s capacity of resisting aftershocks. The variation of all the considered 
percentile  PGAAS and  CAVAS were within 2% at both the moderate and severe damage 
limit states, while the use of  Sa(T1) AS indicated a larger margin between the fragility 
curves of damaged and undamaged steel frame, where around 7 and 4% reduction of 
 Sa(T1)5 were observed at the moderate and severe damage limit states. Since the lightly 
Table 8  Summary of the 5th percentile as characteristic value
Post-mainshock damage Moderate damage level Severe damage level
PGA5 Sa(T1)5 CAV5 PGA5 Sa(T1)5 CAV5
No damage 0.275 0.522 0.536 0.653 1.191 1.754
Light damage 0.273 0.486 0.526 0.654 1.146 1.756
Moderate damage N/A N/A N/A 0.607 1.078 1.726
Table 9  Summary of the 16th percentile as characteristic value
Post-mainshock damage Light damage level Moderate damage level
PGA16 Sa(T1)16 CAV16 PGA16 Sa(T1)16 CAV16
No damage 0.363 0.708 0.718 1.088 2.069 2.612
Light damage 0.362 0.676 0.711 1.085 2.007 2.605
Moderate damage N/A N/A N/A 1.047 1.964 2.602
Table 10  Summary of the 50th percentile as characteristic value
Post-mainshock damage Light damage level Moderate damage level
PGA50 Sa(T1)50 CAV50 PGA50 Sa(T1)50 CAV50
No damage 0.556 1.128 1.126 2.372 4.811 4.803
Light damage 0.557 1.119 1.127 2.353 4.723 4.764
Moderate damage N/A N/A N/A 2.406 4.913 4.872
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damaged and the undamaged steel frames showed no significant differences between 
their IDA curves for each of the selected earthquake records, and the change in the fra-
gility curves were very small, it can be concluded that the target light post-mainshock 
damage had limited influence on the steel frame’s capacity to resist aftershocks.
Fig. 11  Aftershock fragility curves of the steel moment frame with light post-mainshock damage at moder-
ate damage limit state: a fragility curves; b comparisons of characteristic values
Fig. 12  Aftershock fragility curves of the steel moment frame with light post-mainshock damage at severe 
damage limit state: a fragility curves; b comparisons of characteristic values
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Figure 13 shows the fragility curves of the moderately damaged steel frame at the severe 
damage limit state and its comparison with the performance of the undamaged steel frame. 
In this case, the influence of post-mainshock damage became more evident as the fragil-
ity curves showed clear increase in the failure probability within the considered range of 
IMs. It is noticed in Fig. 13b that for all three IMs, the 5th percentile showed the largest 
reduction from the case of no post-mainshock damage to the case of moderate post-main-
shock damage, where  PGA5,  Sa(T1)5 and  CAV5 experienced 7.00, 9.47 and 1.57% decrease, 
respectively. Besides, the 16th percentile tended to show a smaller reduction than the 5th 
percentile, including around 5% reduction in  PGA16 and  Sa(T1) 16, and 0.40% reduction 
 CAV16. Lastly, the 50th percentile showed an approximately 2% increase for all the IMs 
considered in this study. The different results obtained from different choices of character-
istic value suggested that the influence of post-mainshock damage was not constant along 
the entire probability distribution. As a result, it may be more appropriate to use a percen-
tile that is within or at least not far away from the practical range of aftershock intensity, 
such as the 5th and 16th percentile. On the other hand, the 50th percentile, despite its abil-
ity to characterise the entire fragility function, covers also the range of aftershock intensity 
that is not practically relevant. The 50th percentile itself is usually associated with a very 
high value of intensity, e.g., the  PGA50 in Fig. 13b corresponded to aftershocks with PGA 
of around 2.4 g, which consequently makes it not appropriate to be adopted as a threshold 
value of aftershock IM.
It is also interesting to notice that in some case, the damaged steel frame showed lower 
failure probability than the undamaged steel frame. For example, Fig.  11b showed that 
the  PGA50 and  CAV50 both experienced 0.11% increase, Fig. 12b showed 0.15 and 0.10% 
increase of  PGA5 and  CAV5, and Fig. 13b showed more than 1% increase of all 50th per-
centiles. Such increments were not significant, yet they still indicated that the damaged 
steel frame might be able to sustain larger earthquakes than the undamaged steel frame. 
This could be due to the fact that for some of the selected earthquake records, the steel 
Fig. 13  Aftershock fragility curves of the steel moment frame with moderate post-mainshock damage at 
severe damage level: a fragility curves; b comparisons of characteristic values
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frame exhibited severe hardening and a weaving behaviour in the IDA curve, as described 
by Vamvatsikos and Cornell (2002), which caused the damaged steel frame to fail at a 
higher IM than the undamaged steel frame.
The primary conclusion that can be drawn from the above assessment is that when the 
steel frame was with the target light post-mainshock damage, the steel frame was able to 
maintain its full capacity to resist aftershocks. In this case, post-quake assessment can be 
performed based on the undamaged initial state of the steel frame. On the other hand, the 
target moderate post-mainshock damage had more evident influence on the steel frame. As 
a result, post-quake assessment should consider reduced capacity of the steel frame, e.g., 
as a simplified approach applying reduction in the material property, where the reduction 
factor can be determined based on the comparisons of 5th, 16th and 50th percentiles as 
characteristic values.
6  Conclusions
This paper presented two parts of fragility assessment of a case study steel moment frame. 
In the first part, conventional fragility assessment was performed on the steel moment 
frame using the standardised IDA procedure, where the undamaged steel frame was 
directly subjected to mainshocks and MS-AS sequences. The results showed that when 
subjected to MS-AS sequences, the steel frame exhibited higher vulnerability than the 
case when it was subjected to mainshocks. A roughly 10% reduction in the medians of all 
three limit states was observed when comparing the fragility curves obtained under MS-AS 
sequences with those under mainshocks. Although the conventional fragility assessment 
was able to predict the overall performance of the steel frame in a complete earthquake 
event, it was not able to determine the intensity of aftershocks associated with progres-
sion of limit states, which was dependent on the post-mainshock damage state of the steel 
frame. This has brought out the necessity of performing further fragility assessment utilis-
ing state-dependent aftershock fragility curves.
In the second part, the results of evaluating aftershock IM were first presented. The 
evaluation of aftershock IM was conducted based on three aspects: efficiency, practicality 
and proficiency. It was demonstrated that the CAV was more advantageous as aftershock 
IM than the PGA and  Sa(T1) for all the three aspects assessed.
Following the evaluation of aftershock IMs, the state-dependent aftershock fragility 
curves were presented and the comparison of three potential choice of characteristic value, 
i.e. 5th, 16th and 50th percentile, were demonstrated. It was concluded that the target light 
post-mainshock damage barely influence the capacity of the steel frame to resist after-
shocks. However, the influence of the target moderate post-mainshock damage was more 
pronounced. It was also noticed that the influence of post-mainshock damage on the varia-
tion of fragility curves was not constant for the entire probability distribution. As a result, 
it may be more appropriate to use the 5th and 16th percentile as the characteristic value 
in order to describe the change of fragility curves within the range of practical aftershock 
intensity.
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